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Abstract: This research is aimed at investigating the dynamic behaviour of, and to analyse the
dynamic response and dynamic performance of steel frames strengthened with welded haunches
subjected to a typical hydrocarbon blast loading. The structural dynamic analysis was carried
out incorporating the selected blast load, the validated 3D model of the structures with different
welded haunch configurations, steel dynamic material properties, and non-linear dynamic analysis of
multiple degree of freedom (MDOF) structural systems. The dynamic responses and effectiveness of
the reinforced connections were examined using ABAQUS finite element software. Results showed
that the presence of the welded haunch reinforcement decreased the maximum frame ductility ratio.
Based on the evaluation of the results, the haunch reinforcements strengthened the selected steel
frame and improved the dynamic performance compared to the frame with unreinforced connections
under blast loading, and the biggest haunch configuration is the “best” type.

Keywords: blast loading; welded haunch connection; steel frame structures; non-linear dynamic
analysis; ABAQUS; multiple degree of freedom (MDOF); frame ductility ratio

1. Introduction

The record of oil and gas industry accidental events shows that the historical offshore disasters
have generally caused very significant losses in term of human lives, economy, and environmental
pollution. Steel frames, as shown in Figure 1, are typical structures used in the offshore industry.
The main functions of these frames is to support mechanical equipment, electrical and instrument
cables, and hydrocarbon pipelines. Its function as a pipe rack is one of the reasons for selecting
the frame because a ruptured pipeline which contains hydrocarbon liquid or gases may escalate the
damage in a blast accident by intensifying the fire from the explosion. Therefore, this frame type was
considered in our research.
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Figure 1. Typical steel frames used in offshore structures. (a) Pipe rack; (b) Mechanical Equipment 
Support. 

During the period from 1993–2013, the worldwide petroleum and chemical insurance market 
reported that about 1100 insurance claims on major incidents were made [1]. Among these accidents, 
hydrocarbon explosions are the most hazardous events. Although a hydrocarbon explosion is a very 
rare accidental event, totally eliminating such incidents is difficult. Therefore, efforts should be made 
to keep the risk as low as possible and reduce the amount of structural damage if an explosion 
incident occurs. One of the approaches to minimize the risk to people and the facility is to utilize a 
blast resistant design or structural strengthening. The frames must have adequate stiffness, strength, 
and ductility capacity to resist blast loading. The connections of the structural component need to 
provide a significant contribution to maintain the integrity of the structural system. In many cases, 
connection strengthening can be implemented to enhance the structural dynamic performance. 

In recent years, a few studies [2–7] were conducted on the investigation of the steel connection 
performance subjected to blast loading. Several steel joint reinforcement methods which strengthen 
and provide a better performance were proposed. An additional plate attached to beam flanges can 
improve the connection performance under blast loading [3]. Blast events are dynamic phenomena 
which are similar to earthquakes. Both blast resistant structure design and seismic design involve the 
ductile behaviour of the structures. Under seismic loading, the performance of the welded haunch 
connection reinforcements was studied by many researchers [8–11]. In seismic design, the welded 
triangular haunch, as shown in Figure 2, is one of the steel connection reinforcement methods that 
has been effectively implemented for enhancing steel moment connection performance as 
recommended by several seismic design guidelines [12–14]. Since seismic and blast loading 
characteristics are different, design for seismic load does not guarantee adequate performance for 
blast loading. Therefore, seismic design recommendations on connection reinforcement, and using 
welded haunches, cannot be directly implemented in blast design.  
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Figure 1. Typical steel frames used in offshore structures. (a) Pipe rack; (b) Mechanical Equipment
Support.

During the period from 1993–2013, the worldwide petroleum and chemical insurance market
reported that about 1100 insurance claims on major incidents were made [1]. Among these accidents,
hydrocarbon explosions are the most hazardous events. Although a hydrocarbon explosion is a
very rare accidental event, totally eliminating such incidents is difficult. Therefore, efforts should be
made to keep the risk as low as possible and reduce the amount of structural damage if an explosion
incident occurs. One of the approaches to minimize the risk to people and the facility is to utilize a
blast resistant design or structural strengthening. The frames must have adequate stiffness, strength,
and ductility capacity to resist blast loading. The connections of the structural component need to
provide a significant contribution to maintain the integrity of the structural system. In many cases,
connection strengthening can be implemented to enhance the structural dynamic performance.

In recent years, a few studies [2–7] were conducted on the investigation of the steel connection
performance subjected to blast loading. Several steel joint reinforcement methods which strengthen
and provide a better performance were proposed. An additional plate attached to beam flanges can
improve the connection performance under blast loading [3]. Blast events are dynamic phenomena
which are similar to earthquakes. Both blast resistant structure design and seismic design involve the
ductile behaviour of the structures. Under seismic loading, the performance of the welded haunch
connection reinforcements was studied by many researchers [8–11]. In seismic design, the welded
triangular haunch, as shown in Figure 2, is one of the steel connection reinforcement methods that has
been effectively implemented for enhancing steel moment connection performance as recommended by
several seismic design guidelines [12–14]. Since seismic and blast loading characteristics are different,
design for seismic load does not guarantee adequate performance for blast loading. Therefore, seismic
design recommendations on connection reinforcement, and using welded haunches, cannot be directly
implemented in blast design.
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This study investigates the dynamic behaviour of a simple single-bay two-storey steel frame
structure subjected to blast loading caused by hydrocarbon explosions. To achieve these objectives,
a typical hydrocarbon explosion dynamic pressure was considered and the selected structural
configuration including the connection details were modelled by numerical simulation using the
finite element analysis (FEA) computer program ABAQUS/Explicit. To facilitate the model validation,
a single-bay two-storey steel frame configuration from Chan and Chui [15] was adopted and developed
as a 3D model. Before modifying the model for further analysis, a validation exercise was performed by
comparing the numerical simulation responses with the responses as reported by Chan and Chui [15].
The model linear response was also compared with the theoretical approach/method computed using
MATLAB Toolbox.

2. Non-Linear Finite Element Analysis

An explosion event typically happens in a very short duration of less than 1 s which indicates that
the loading is time-dependent and requires a dynamic approach in the structural analysis. To solve the
dynamic problem, a few techniques for structural dynamic analysis for blast resistant design have
been developed; namely, the conventional equivalent static load or an elastic approach, a single degree
of freedom (SDOF), and non-linear FEA. Offshore steel structures or petrochemical facility structures
are generally constructed as a structural module with complex configurations and highly occupied
by equipment and pipelines. This complexity leads to the classification of the structure as a multiple
degree of freedom (MDOF) system and requires the non-linear MDOF analysis to provide the most
comprehensive approach in the structural response computation.

The basic concepts and problem-solving techniques for MDOF systems can be found in many
references [16–19]. A simple structure consisting of a MDOF system with the general dynamic equation
of motion given in Equation (1).

M
..
u(t) + C

.
u(t) + Fint(t) = Fext(t) (1)

M is the mass matrix, C is the damping matrix, u, ú, ü are the displacement, velocity, and acceleration
vectors, respectively, Fint is the internal forces vector, and Fext is the external forces vector. For dynamic
events like the explosion case with a very high loading rate within short duration, the calculation
requires small time increments to obtain a high-resolution for accurate solutions. Additionally,
this technique is stable for small-time increment steps and requires relatively small computational
cost per increment [20]. Therefore, the explicit method is efficient and suitable to be used in transient
dynamic cases such as blasts, explosions, and impacts [21].

2.1. Finite Element Modeling

2.1.1. Geometry

Pipe rack framings are usually symmetric with uniformly distributed loadings. The braces support
any lateral loadings in the longitudinal direction and restrain lateral movements whereby relatively
small deflections will be experienced in this direction. This is a reasonable assumption to simplify the
model by considering only a single-bay two-storey moment frame in the analysis.

To provide sufficient space for an access walkway and escape route, a minimum clear space
of 1.0m width and 2.1 m height must be included within the structure [22]. Therefore, a column
distance of 4 m that represents a typical offshore steel pipe racks framing configuration is considered
sufficient. Regarding the requirement for vertical space between beams, the first author found no
restrictions as long as the space for pipelines is sufficient in accordance with the piping engineers design,
and the structural integrity can fulfil the design criteria. Therefore, a single-bay two-storey frame [15]
was adopted and modified. The selected frame configuration is shown in Figure 3. This selected
configuration facilitates the final model development after conducting the validation.
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Varying details of beam-column connections were considered in this study. In addition to the 
joint type based on the configuration shown in Figure 4, a connection without reinforcement and a 
connection with a haunch slope angle of 45° were also considered in the analyses, as presented in 
Figure 5. The latter is a typical connection that is usually used in many offshore frame structures. The 
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Figure 3. The steel frame model description.

The haunch length, a, and angle, θ, were dimensioned in accordance with the provision given
in Gross et al. [13]. The haunch is usually fabricated by cutting a structural beam sections or plates
with standard thickness. In this research, plates with a standard thickness of 10 mm were considered
for the haunch and stiffener plates. The thickness was selected because it is the maximum standard
plate thickness that is less than the beam and column web/flange thicknesses. The haunch flanges are
attached to the beam and column flanges by groove welding, and the webs are then fillet welded to the
beam and column flanges as described in Figure 4. The haunches are placed only on the lower side of
the beams to avoid obstruction for the pipelines on the top of the beams.
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Figure 4. The welded triangular haunch configuration.

Varying details of beam-column connections were considered in this study. In addition to the
joint type based on the configuration shown in Figure 4, a connection without reinforcement and a
connection with a haunch slope angle of 45◦ were also considered in the analyses, as presented in
Figure 5. The latter is a typical connection that is usually used in many offshore frame structures.
The FE model of the steel frame was developed using ABAQUS/Explicit. The model geometry was
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modelled in accordance with the single-bay two-storey frame configuration, as depicted in Figure 3.
The cross section of W8 × 48 was modelled and assigned to both the beams and columns.Appl. Sci. 2020, 10, x FOR PEER REVIEW 5 of 20 
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the actual test results. However, in many cases this data is unavailable. In the absence of actual tensile 
test results, Det Norske Veritas (DNV) [23] established idealized material curves according to the 
European Standards. The elasto-plastic material properties for steel grade S235 with isotropic 
hardening was selected for the non-linear properties of steel [23]. ABAQUS defines the rate-
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Figure 5. Different details of joint configurations with reinforcement. (a) Case 1—Beam-column
connection without haunch; (b) Case 2—Haunch_01 Beam-column connection with haunch by
Chopra [16] but no web stiffener plate on the beam and no continuity plates for haunch flange;
(c) Case 3—Haunch_02 Beam-column connection with haunch by Chopra [16]. Web stiffener plates
and haunch continuity plates were provided on the beam and column, respectively; and (d) Case
4—Haunch_03 Beam-column connection with haunch but the haunch configuration is modified by
providing the slope angle of 45◦.

2.1.2. Constraint and Boundary Conditions

The beams-columns, plates, and haunches were connected using the tie constraint that connects
two surfaces regardless of the mesh size of each surface. The tie constraint is equivalent to a welded
joint that prevents penetration, separating or sliding in the interaction between the modelled surface
relative to another surface [20]. The application of this constraint in the model is illustrated in Figure 6.
The column bases were considered as fixed supports which were created by restraining all the degrees
of freedom of the nodal points concerned in the model boundary conditions.
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2.1.3. Material Properties

For large deformation cases, the cross-sectional area undergoes a significant reduction and
therefore true stress-strain indicating true material deformation must be considered. The following
Equations (2) and (3) are the nominal stress-strain and true stress-strain relationships [23].

A = πr2σtrue = σeng
(
1 + εeng

)
(2)

εtrue = ln
(
1 + εeng

)
(3)

where σtrue is the true stress, σeng is the engineering stress, εtrue is the true strain and εeng is the
engineering strain. It is recommended that the material properties for nonlinear analysis is based
on the actual test results. However, in many cases this data is unavailable. In the absence of actual
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tensile test results, Det Norske Veritas (DNV) [23] established idealized material curves according
to the European Standards. The elasto-plastic material properties for steel grade S235 with isotropic
hardening was selected for the non-linear properties of steel [23]. ABAQUS defines the rate-dependent

behaviour in term of plastic strain rate
.
ε

pl
expressed as:

.
ε

pl
= D(R− 1)q (4)

where R is the ratio of the dynamic yield stress to the static yield stress, D and q are material constants.
To match the Cowper-Symonds constitutive equation, the material constants for structural steel in
Equation (4) were specified as D = 40.4 s−1 and q = 5 [24] which were included in the power law rate
dependence definition input.

Typically, Gurson’s porous model is considered to model material with relative density greater
than 0.9. Amadio et al. [25] considered Gurson’s porous model in the material attributes to overcome
the limitation of the Von Mises constitutive law. However, Gurson’s damage model on material
plasticity is not considered in this study. The study is more concentrated on the structural performance
based on global response without investigation of the material constitutional law, sensitivity of the
local effect in the beam-column connections, and detail failure mechanism.

2.1.4. Element Type and Mesh

The required numerical results obtain from the FE analysis are depending on the selection of
element type for the FE model. The accuracy of FE results is relatively influenced by the type of
elements defined onto the FE model [26]. Solid element is significantly useful to obtain numerical
stress components of the FE model. However, in this study, only the displacement component of
the FE model is required to estimate the dynamic behaviour of the structure considered under blast
load. Both solid and shell elements can significantly produce the same results of the displacement
component of the element under static and even extreme load such as blast load [26,27]. All structural
components were modelled using deformable four-node doubly curved with reduced integration
S4R shell element. The S4R element is suitable for large-rotation problems because it includes finite
membrane strains and arbitrarily large rotations [20]. A fine mesh size of 25 mm was used in the
connection region and a coarse mesh size of 100 mm for the regions other than the connection area
were selected as shown in Figure 7.
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2.1.5. Loadings

All loadings associated with in-place actions that contribute to the dynamic masses must be
included in the dynamic analysis [28]. The dead loads not contributing to the overall structural stiffness
were incorporated as inertia masses input because these masses, including the weight of all pipes,
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contribute to the inertia mass in the dynamic behaviour of the overall structure. The inertia mass of
pipes was determined by assuming all pipe size as 400 mm diameter × 12.7 mm thickness with a span
length of 5 m. The weight of each pipe was 1.2 tonnes. At the same time, the miscellaneous dead
loads such as smaller pipes, cable tray, electrical lines, grating, and handrails were included in the
model. A total inertia mass of 10.2 tonne (100 kN) at each pipe location were assumed and included
in the model. The total mass based on the assumed inertia masses gives a conservative scenario,
besides maintaining the same total mass as in the original steel frame presented by Chan and Chui [15].
The weight of the pipes on the rack was modelled by applying mass inertia at four prescribed locations
as shown in Figure 8.
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During the gas explosion process, the atmospheric pressure increases dramatically to a maximum
pressure with the propagation of the blast wave, and then it slowly decreases to a negative value
with respect to the standard atmospheric pressure. The negative phase pressure occurs because the
shockwave forces the air to move as it spreads outward from the explosion centre and creates a lack of
air behind, causing a partial vacuum or negative pressure phase. This negative phase can be ignored
in structural design [29]. However, the negative phase of the blast pressure is important in order to
accurately predict the responses of blast loading on structures [30], and it is unconservative if the
negative phase is ignored [31]. The original pressure-time history output of blast simulation is not
practicable to be used in structural dynamic analysis and needs to be idealized [32]. Mohamed et al.
reference [30] summarised typical nominal blast overpressures for offshore structure according to
industrial standard guidelines. The durations of these loads were reported to be between 50 and
200 msec and considered to be close to typical offshore structure natural periods (between 300 to
1100 msec). Yasseri et al. [33] also proposed an overpressure load of 0.9 bar and 2.25 bar as the lower
and upper level events for hydrocarbon explosions, respectively.

During an explosion event, the following three fundamental consequences can occur; namely,
the blast overpressures, dynamic pressures (drag loads) and projectiles, missiles, and shrapnel. Among
these consequences, the explosion overpressures are generally considered to be the most critical
measurement. In the absence of project-specific data, it has been suggested in a Chevron Engineering
Standard that a load equal to one-third of the positive phase load can be considered for the negative
phase pressure. The negative pressures are usually within the range 10–30% of the maximum
pressure [34].

The explosion loads on open frame structures, structural components, equipment items and
pipework are usually caused by dynamic pressure loads [35] containing drag loads, inertia loads, and
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a pressure difference load. The first two loadings are similar to the fluid force terms in the Morrison
equations (refer Equation (5)) [36].

FD =
π
4

CmρD2 ∂U
∂t

+
1
2
ρv2

gasCDA (5)

FD is the drag force, Cm and CD are the inertial and drag coefficients. For small objects and
typical gas velocities, the contribution of the inertia load is less than 1% of the force hence it may be
neglected [37]. Therefore, the Morrison’s equation can be reduced and the magnitude of the drag
forces on the steelwork elements can be calculated using Equation (6).

FD =
1
2
ρv2

gasCDA (6)

where CD is the drag coefficient of the object which is dependent on the shape of the structure (projected
area), ρ is density of gas (kg/m3), vgas is velocity of the unburned gas mixture (m/s) and A is structures
projected area (m2). Since the prediction of gas density and velocity in an explosion event are very
difficult, Mohamed et al. Reference [30] reported that the dynamic pressure (drag load) calculation in
Equation (6) can be simplified to the following empirical expression given by Equation (6).

qD(t) = CD × p(t) ×OD (7)

where qD(t) is the line load on a pipe function with respect to time, p(t) is maximum overpressure
time-history and OD is outer pipe diameter. According to Equation (7), the dynamic pressure can
be calculated by using the maximum overpressure values. The maximum dynamic pressure Pmax of
2.5 bar was selected based on Mohamed et al. [30] whereas the peak negative pressure Pmin of −0.83 bar
was taken as one-third of the maximum dynamic pressure as suggested by in the Chevron Engineering
Standard and Hansen et al. [34]. The pressure duration of 0.136 s for pressures Pmax of 2.5 bar and the
duration of 0.24 s for Pmin of −0.83 bar were determined using the curve in Figure 9.
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The dynamic pressure wave profile can be developed using the pressures and durations
information. The idealized triangular waveform shown in Figure 10 was considered to describe
the dynamic pressure history that was applied in the FE models.
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In the analyses, a uniform distributed pressure of 2.5 bar was applied on the column flanges.
To simplify the problem, the drag loads on the unmodeled pipes and non-structural items on the frame
were ignored. Since the blast direction and the beam longitudinal direction are parallel, the beams are
to be minimally affected by the lateral pressures, and thus no blast loads were applied to the beams.

In a blast event, the structures might buckle and undergo large geometry changes, hence the
necessity to also consider geometric non-linearity [20]. In the initial step, initial conditions, boundary
conditions, and predefined fields that are applicable with the analysis can be specified. In addition to
the initial step, three steps were specified to simulate the blast analysis, namely; self-weight (quasi-static
analysis with structural weight and dead load), blast (dynamic analysis using dynamic pressure history
with self-weight propagation) and post-blast (only dead load is set active, no propagation of blast load
from previous analysis step). In each analysis step, the incrementation settings were set to automatic
incrementation so that ABAQUS automatically adjusts the time increment size depending on the
numerical stability limit [20].

Before applying dynamic pressure, the initial condition of the structure was in a static condition
under self-weight consisting of structural dead load and piping masses. Unfortunately, ABAQUS cannot
directly combine static analysis with dynamic explicit analysis in the same model. When dynamic
explicit analysis is being used, all the following analysis in the next steps must also be in the dynamic
explicit mode. Therefore, the self-weight member forces also need to be analysed using dynamic
explicit analysis. When the self-weight is applied instantaneously in the dynamic analysis, oscillatory
vertical reaction force occur as shown in Figure 11. This oscillation does not represent the correct static
condition in which the structure should be before the blast is initiated. This oscillation will create
incorrect stress variations during and after the actual blast dynamic analysis. To overcome this problem,
the ramp loading was implemented in the self-weight dynamic analysis whereby the load was applied
slowly to avoid the dynamic effect. The basis of this method is related to the concept of the dynamic
case of “step force with finite rise time” [16–18] in which if the rising time of the self-weight dynamic
loading is relatively long and greater than three times the structural natural period, the dynamic
response is quasi-static or like a static force. Therefore, a rise time of 2.15 s (=3 × 0.717 sec) was used in
the self-weight dynamic step as shown in Figure 12. The result of ramp loading implementation in
the self-weight step is presented in Figure 13 whereby no oscillation has occurred in the self-weight
dynamic step.
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In the “blast” analysis step, the dynamic pressure was introduced. The duration of the blast
analysis step was specified in line with the total duration of the blast amplitude definition as 0.376 sec.
During this analysis step, the self-weight propagating from the previous self-weight analysis step
was included in the analysis. After the blast analysis step, the last analysis step, called the post blast,
was created with the purpose of studying the post-blast response of the structure. No load was applied
in this step except the self-weight propagation from the previous step. Since the transient dynamic
response is the primary interest of the study, a step duration of 2 s was considered in the post-blast
analysis. In the explosion dynamic analysis, the maximum dynamic response usually occurred within
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the transient response duration. Therefore, the duration of 2 s is considered adequate to describe the
steady state response of the structure. Moreover, a longer duration needs to be avoided to minimize
the total computation duration.

2.2. Structural Assessment

2.2.1. Ductility Ratio of the Steel Frame

The level of structural performance can be measured by quantifying its stresses, strains,
displacements, ductility, functionality, and similar parameters. Like seismic design, blast resistant
structural design also considers inelastic response under dynamic load. In terms of the structural
response, the impulsive blast load yields higher response frequency than the response due to seismic
load [38] and the inter-story drifts due to the blast loading on a building are generally higher than the
drifts due to earthquakes [39]. In the case of blast loading, the design is based on the member’s plastic
behaviour and the structural component is governed by its ductility and rotation [40]. The ductility is
defined as the structural capability of plastic deformation without fracturing. The maximum plastic
displacement of a structure can be measured by the ductility ratio (µ) relative to first yield [41] as given
in Equation (8).

µ =
δu

δy
(8)

where δu is the maximum plastic displacement, and δy is the displacement at first yield.
The displacement at first yield is not obvious for most material. It can be determined by using
graphical methods with several alternative definitions [41]. The method based on initial yielding, also
called the Tangent Method, is usually implemented to approximate the yield point which is defined as
the intersection between the tangential lines of elastic and plastic behaviour [42].

In design practice, ductility ratio values and rotation criteria are used for designing structure
particularly topside offshore structures. The ductility ratio and the plastic strain are related, and the
failure of the structure is assumed to occur when the plastic strain approaches the material failure
strain [43]. The allowable range of the structural member’s plastic deformations is measured based
on the calculated ductility ratio, whereas the limit on the support rotation makes sure that tension
membrane action, that may develop in a member, will be in a safe range where no connection
failures occur.

2.2.2. Evaluation Criteria

In industrial practice, various design codes and guidelines [24,31,40,44–46] are used for blast
design evaluation criteria. Specifically, for a petroleum facility, API RP 2FB [24] defines two important
levels of assessment namely ductility level blast (DLB) and the strength level blast (SLB). These levels are
associated with the explosion loading risks by analogy with earthquake assessment. A low-probability
high-consequence event representing the extreme design event may be assessed using DLB. While a
higher-probability lower-consequence event, such an explosion case with low overpressure, can be
assessed using SLB.

Louca et al. [6] summarised the ductility values that were used in the offshore structure design
practice. By correlating the ductility ratio and damage levels, Yasseri [47] proposed the ductility ratio
criteria. Several design guidelines in the industry present the response criteria [40,46].

3. Results

3.1. Model Validations Results

A single-bay two-storey steel framing configuration as presented in Figure 14 was chosen to
develop the model. The selected steel frame was considered appropriate for the object in the study
because a simple and small structure does not require excessive computation resources. Chan and
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Chui [15] investigated the transient dynamic response of the inelastic steel frames with nonlinear
connections. Geometric imperfections and residual stress with a maximum magnitude of 50% of yield
stress were included in their study.
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Figure 14. A two-storey steel frame under dynamic loading [15].

The model of the selected steel frame was developed in ABAQUS. Before starting the simulations
for the research, two different analyses namely elastic and elastic-perfectly-plastic analyses were
used for validating the model by comparing the dynamic responses from numerical analyses against
the dynamic responses presented by Bathe [19]. To differentiate the analysis, two different material
properties were created representing the elastic and elastic-perfectly plastic with a yield stress of
235 MPa. The elastic and elastoplastic analyses were carried out. To verify the dynamic characteristic of
the frame using theoretical calculations, elastic dynamic analysis was also carried out using CALFEM
which is a MATLAB computational toolbox for teaching FEM developed at Lund University [48].
The structural lateral displacement responses are presented in Figures 15 and 16.
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Since the response based on CALFEM calculation matches the elastic response presented by Chan
and Chui [15], their dynamic characteristics are considerably identical. This implies that the dynamic
characteristic based on CALFEM calculations represents the similar dynamic characteristic of the
frame presented by Chan and Chui [15]. According to the dynamic response in Figures 15 and 16,
the maximum response from the ABAQUS analysis is 42% higher than the maximum response given
by Chan and Chui [15]. In addition to this, the displacement response wave period of the ABAQUS
results are shorter than the results from Chan and Chui [15].

To investigate these discrepancies, the natural frequencies that represent the dynamic characteristic
of the frames were calculated using ABAQUS and CALFEM. As shown in Figure 17, the structure
natural frequency of 1.4978 Hz extracted from ABAQUS is 5.4% higher than the CALFEM result
(1.4214 Hz). Tedesco et al. [18] showed that the effect of mass and load distribution on the dynamic
response of a structural system in which a structural system with distributed mass is stiffer than
a system where the entire mass is concentrated at midspan points. Unlike beam finite element
formulation, the structural masses in the ABAQUS model is distributed throughout the structure and
not concentrated at points. This implies that the ABAQUS model should be stiffer than the CALFEM
calculation, hence it will have a higher natural frequency.
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The effect of the nonlinearity of the system was also investigated. As shown in Figure 18,
the Von Mises stress reaches the yield stress value. This situation is considered overstress, in which
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the validated model undergoes yielding and buckling. In this case, analysis using ABAQUS does
have capability to consider inelastic moment redistribution [49] and P-delta effects by activating
the geometric non-linearity option in the dynamic analysis. These features allow the analysis using
ABAQUS to capture the more realistic dynamic behaviour of the structure.
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Figure 18. Yielding and buckling in the validated model.

The preceding section explained possible factors affecting the higher dynamic responses obtained
from ABAQUS compared to the dynamic response presented by Chan and Chui [15].

3.2. Eigenmodes and Eigenvalues

The natural period of the structure was obtained by eigenvalue analysis. To perform this,
the analysis model was copied and modified by removing the blast loading and maintaining the
structural and piping masses. The dynamic analysis step was replaced by linear perturbation frequency
analysis type. Ten values of the eigenvalues were requested for the analysis output. The mode shape
which is parallel with the direction of blast loading was selected as the representation of the dynamic
characteristics of the structure. Therefore, the structural natural period associated with this mode
shape was used in the step duration of self-weight dynamic analysis. By relating the structural natural
period to the dynamic loading duration, the structural dynamic response was classified into impulsive
td/Tn < 0.3, dynamic 0.3 < td/Tn < 3, or quasi-static 3 < td/Tn categories [50]. Where td is the dynamic
load duration and Tn is the structural natural period. The structural dynamic characteristic was
identified by undertaking the eigenvalue analysis. Four mode shapes considered to to be the most
important shapes are presented in Figure 19. The first mode as the highest eigenvalue is usually
considered as the critical case. However, mode shapes 1 and 2 in this study were considered not to
be the critical cases because the columns, bracings, and lateral beams provide lateral restrains in the
longitudinal direction of the actual structure. The mode shape-3 that deflects in the same direction
as the blast excitation loading was selected to represent the dynamic characteristic for the structure.
Subsequently, the eigenvalue based on mode shape-3 was used in all calculations that are relevant
with the structural dynamic characteristics.

By considering the dynamic load duration of td = 0.376 s and the structural natural period of
0.717 s, the ratio of the dynamic loading duration to the natural period is determined as td/Tn = 0.52.
The ratio is greater than 0.3 and less than 3, hence falls into the dynamic category. Therefore, dynamic
analysis was solved using numerical integration of the dynamic equations of equilibrium that is already
implemented in the ABAQUS numerical computational technique.
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3.3. Lateral Displacement Response and Ductility Ratio

Structural ductility was calculated using Equation 8 and the value of structural displacement at
first yield was determined using initial yield or the tangent method [41]. A new model was developed
by modifying the analysis model. The static pushover analysis was performed with only lateral loading
applied at the top corner of the frame considered.

The force-displacement resulting from the analysis is presented in Figure 20. By using the curve,
the structural displacement at first yield was determined by estimating the yield point location which
is defined as the intersection between the tangential lines of elastic and plastic behaviour, where the
displacement at first yield is 71 mm. Subsequently, the structural ductility ratio was calculated as the
ratio of peak displacement under blast load to the displacement at first yield.
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Figure 20. Structural displacement at first yield approximation.

Figure 21 describes the general displacement direction of the frame swaying horizontally in the
same direction as the blast excitation load. Two different points depicted in the figure that represents
structural height and beam elevations were selected as the node locations to extract the global lateral
displacement responses. The lateral displacement at the top right corner (Point A) was considered
as a good measurement point for the frame system deformation, whereby the maximum lateral
displacements at Point B were used in structural ductility ratio calculation.
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The sway histories for these two observation points are presented in Figure 22a,b for all frame
analysis with different beam-column connection. The maximum sway responses at lower and upper
beam elevations, points A and B, were observed during the blast duration. The maximum responses of
the frame without reinforcement are higher than the frames that are reinforced with haunches.
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displacement response history at right end of the lower beam.

To measure the frames dynamic performance based on the sway responses, the extracted maximum
sway displacements at the top elevation for each frame during blast and post blast are presented
in Table 1 and Figure 23. Subsequently these maximum sway responses were used to calculate the
ductility ratios as tabulated in Table 1. The maximum lateral displacement of 94.6 mm occurred in
the frame without haunch reinforcement. Since the ductility ratio is proportional with the maximum
displacement, the maximum ductility ratio of 1.33 also occurred in the same frame without haunch.
The calculated results as presented in Table 1 show that all maximum sway responses and maximum
ductility ratios are less than the maximum criteria recommended [40,46]. The allowable deflection and
ductility ratio of frame structures are 1.5 and 240 mm (Height/25), respectively [40,46].
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Table 1. Summary of maximum displacement at all beam elevations for connection types of all cases
considered in this study.

Case Location
Maximum Displacement, u (mm) Ductility µ 1

Blast Post-Blast Blast Post-Blast

No haunch Upper beam 94.6 61.4 1.33 0.86
Lower beam 34.9 29.6 - -

Haunch_01 Upper beam 91.1 60.0 1.28 0.84
Lower beam 33.1 29.6 - -

Haunch_02 Upper beam 90.2 60.6 1.27 0.85
Lower beam 32.7 30.0 - -

Haunch_03 Upper beam 83.7 62.4 1.18 0.88
Lower beam 31.4 31.7 - -

1 From Equation (8).
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Figure 23. Maximum lateral displacement response.

To evaluate the relative differences between frames performance using ductility criteria,
the ductility ratios are presented in Figure 24. The trends show that the frames with haunches
performed better compared to the frame without haunches. Qualitatively, the Haunch_03 impact
on the frame sway response is the highest among all the haunch types. The Haunch_03 connection
reinforcement reduced the ductility ratio by 12% against the frame without haunches, while in the case
of the Haunch_02 the reduction is 5% and for the Haunch_01 is 4%. The results demonstrated that the
Haunch_03 provides a enhanced dynamic performance. It was also observed that the plate stiffeners
on beam-column joints (Haunch_02) provided slightly better ductility ratio than the case of the haunch
without the plate stiffeners (Haunch_01). In general, the biggest haunch configuration provided the
best frame dynamic performance. This finding is relevant to the beam-to-column connections flexibility
whereby connection strengthening increases the stiffness of the frame.
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4. Discussion

The results of this research are limited and cannot be extrapolated to cover the structural dynamic
performance of steel frames with connection haunch reinforcement because this research considered
only four cases of frames with different joint haunch configurations. To further understand the
dynamic performance aspects of typical steel frame subjected to blast loading, the following points are
recommended to be undertaken:

• In this research, the blast loadings were applied on the columns of a typical steel frame structure,
whereas in actual structures, the blast pressure are also applied onto unmodeled items such as
pipelines and equipment located on the structure. Further study is recommended to investigate
the effect of blast loading on the pipelines and additional equipment attached to the structures,
both with and without haunch reinforcement.

• The Gurson porous model has an important local effect in the beam-column connection. Therefore,
further sensitivity study comparing the effects of using material constitutive law of Von Mises
versus Gurson model on material plasticity is suggested to investigate the stresses evolution in
joint area. In addition to the material model aspect, a solid element is to be included in the study
as element selection plays major impact in the analysis result as shown in the study

• Generally, the analysis results demonstrated an enhanced performance when the haunches with
a size greater than the size recommended by AISC [14] was used. To investigate the optimum
haunch size, it is recommended to carry out parametric study on haunch sizes and stiffener plate
thicknesses. A parametric study on the beam and column sizes are also suggested to understand
the effect of a combination of haunches and frame configurations.

• In the absence of actual blast loading data, it is also recommended that a parametric study on
pressure time histories is carried out.

5. Conclusions

The structural eigenvalue was extracted and compared to the dynamic loading duration in
order to characterize the dynamic response. The obtained ratio of 0.52 that is greater than 0.3 and
less than 3 has classified the dynamic response under the influence of dynamic category. Therefore,
the dynamic analysis was solved using numerical integration of dynamic equations of equilibrium
that is already implemented in ABAQUS. The structural maximum ductility ratio achieved using
haunches was 1.33 and less than the allowable criteria of 1.5. Generally, the structural ductility
ratios decreased due to the presence of the haunch reinforcement. The ductility ratio of the frame
with Haunch_03 reinforcement was reduced by 12% compared with the frame without haunches,
while in the case of the Haunch_02 the reduction was 5% and for Haunch_01 was 4%. According
to the evaluation results, the haunch reinforcements have strengthened the selected steel frame and
improved dynamic performance compared to the frame with unreinforced connections under blast
loading. The Haunch_03 as the biggest reinforcement configuration performed better compared to
other connection configurations.
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